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This modeling effort provides a basic understanding of load
transfer mechanisms in rock sockets and anchors. The work
focuses on geotechnical problems and shows the sensitivity of
socket behavior to changes in key parameters.

Possible failure modes for rock sockets and anchors are classified as either
structural or geotechnical concerns. Structural aspects are adequately
addressed by current codes and practices, so the emphasis here was on
developing models to evaluate the geotechnical problem.

To develop a fundamental understanding of load transfer mechanisms in
rock sockets and anchors.

Tendon tensile failure and tendon pullout from grout are structural failure
mechanisms. Although they are adequately covered by current codes and
practices, researchers reviewed those codes and practices to provide a com-
plete treatment of the subject. Grout-rock interface failure and rock mass up-
lift, focused on in this study, are geotechnical failure modes. The researchers
examined the progression of grout-rock interface failure from elastic to sec-
ondary to residual stages. And through an analysis of anchor pullout tests,
they investigated the transition in rock mass uplift failures, from fracture and
cracking to interface slip. Analysis of both geotechnical failure modes is
based on a combination of original concepts and summaries of existing
methods. Field load tests were used to evaluate the resulting model.

The emphasis of this work was on developing models to evaluate the
geotechnical problems in rock sockets and anchors. In the case of grout-
rock interface failure, equations and data were available to evaluate capacity
and behavior in the three failure stages. The model developed in this project
accurately predicted this mode of failure. However, researchers could not
evaluate model accuracy for the rock mass-uplift failure mechanism
because of limited test data.

This study demonstrates that rock sockets and anchors are amenable to a
more rational analysis than current empirical practice suggests. The infor-
mation presented advances design practice toward the goal of more efficient
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and more cost-effective transmission tower foundations. Related to this
research are two other EPRI reports, EL-2870 and EL-3771. The first report
contains a state-of-the-art review and establishes a unified model for
foundation design subject to uplift/compression loading. The second
report summarizes more than 800 foundation load test histories, which
were used in a critical evaluation of the proposed model. The research
described focused on drilled shaft foundations because they are the
most widely used by the utility industry and because of the availability of
field test data on them. This report broadens the scope of EPRI’s founda-
tion research programs to include rock sockets and anchors. Analysis of
spread-type foundations is forthcoming.
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ABSTRACT

This study presents a comprehensive analysis of rock socket and anchor behavior,
which includes the failure mode, capacity, and deformations. The methods of analy-
sis were obtained from a combination of original concepts and summaries of pre-
existing methods. The original concepts are based on both theoretical considera-
tions and observations of actual socket behavior. The data used for both analyti-
cal and verification purposes were obtained from published sources. The results
show that rock sockets and anchors can fail by any one of four modes, including:
tensile failure of the tendons, pullout of the tendons from the grout, grout-rock
interface slip, and rock mass uplift. Only the latter two are geotechnical prob-
lems investigated in detail.

Grout-rock interface failure is outlined as a progression of behavior from elastic,
to secondary, and finally residual stages. The elastic stage is characterized as
an intact system in which displacements develop from elastic deformations of the
foundation and rock mass. In comparison, the secondary stage is characterized by a
relative displacement between the foundation and the rock mass. Finally, the re-
sidual stage results from large displacements between the foundation and rock mass,
and is characterized by complete degradation of the interface between the founda-
tion and rock mass. Equations and data are presented to evaluate the behavior in
each stage.

For shallow foundations installed in highly fractured rock masses, failure can be
by rock mass uplift. In this case, failure is associated with cracking and loosen-
ing of the rock mass which can be approximated by a cone failure. This mode gradu-
ally transitions to the grout-rock interface failure mode with increasing depth.
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SUMMARY

This report is the fourth prepared for the Electric Power Research Institute (EPRI)
on Research Project 1493, “"Uplift/Compression Transmission Line Structure Founda-
tion Research". The general objectives of this research are the development and
implementation of rational analysis and design procedures for the foundations of
transmission line structures.

In this report, the emphasis is on developing a fundamental understanding of load
transfer mechanisms in rock sockets and anchors. A rational analytical model is
developed which incorporates actual rock mass behavior characteristics. This model
was tested against the limited available field data, with encouraging results.

CURRENT DESIGN METHODS

Rock sockets and anchors can fail in four modes: (1) tensile failure of the ten-
dons, (2) pullout of the tendons from the grout, (3) grout-rock interface failure,
and (4) rock mass uplift. Current design practices for all four modes are re-
viewed, and it is noted that criteria for modes 1 and 2, which are structural con-
cerns, are developed adequately in appropriate steel and concrete codes. Criteria
for modes 3 and 4, which are geotechnical concerns, are predominantly empirical at
this time.

GROUT-ROCK INTERFACE FAILURE

The mode 3 mechanism is examined in detail and it is shown that interface failure
is a function of displacement, and progresses from elastic, to secondary, and
finally residual stages. The elastic stage can be evaluated using closed-form or
finite element solutions. The secondary stage is characterized by relative dis-
placement between the foundation and rock mass. In this stage, the capacity is a
function of normal stresses developed by dilations, which are caused by irregulari-
ties along the grout-rock interface. The residual stage is a limiting case devel-
oped at very large deformations. Existing data are used to assess the necessary
analysis parameters.
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ROCK MASS UPLIFT

Very shallow anchors and sockets installed in highly fractured rock masses may fail
in rock mass uplift. In these cases, failure is associated with cracking and
loosening of the rock mass. However, there is a gradual transition from the uplift
to the interface failure modes. Existing data on the uplift mode are very limited,
and therefore only empirical criteria can be employed at present.

CONCLUSIONS

This study demonstrates that rock sockets and anchors can be evaluated in a more
rational manner than current empirical practice suggests. Although further data
are needed to establish well-defined confidence limits, it is clear that our
understanding of how rock sockets and anchors behave is improved.

This information represents an advance to current design practice and will assist
engineers in the analysis and design of more cost-effective foundations systems.
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Section 1

OVERVIEW AND DESIGN

Foundations of engineered structures are often constructed in rock masses. The
common foundation types include anchors, which behave as tension members, and
sockets, which can be used for tension, compression, and other loading modes. Cur-
rently, the design of anchors and sockets is based primarily on empirical relations
developed from summaries of load test results. Uncertainties in these methods
necessitate the use of relatively high safety factors. More economical designs can
be used only if an on-site testing program is undertaken.

Most of the available literature has focused on the behavior of specific components
of anchor and socket systems, and few studies address the interaction of all compo-
nents. This study builds upon the available theoretical and experimental work to
present a comprehensive analysis of the behavior and capacity of rock sockets and
anchors. Where possible, the analysis is compared directly with load test data.

ANCHOR AND SOCKET SYSTEMS

Anchors and sockets are three component systems consisting of: (1) steel tendons or
reinforcing bars, (2) cement or resin grout, and (3) the rock mass itself, as shown
in Figure 1-1. A tensile load applied to the tendon is transferred by means of
shear stress in the grout to the rock mass. This basic framework covers rock
bolts, anchors, and sockets, each of which has its own characteristics and uses as
discussed below.

Rock bolts are structural elements used to preserve or improve the integrity of the
rock mass in projects where the rock comprises the structure itself. Common appli-
cations include tunnels and rock slopes. Bolts are usually composed of a single
reinforcing bar, either anchored at one end with the mid-section free, or complete-
ly grouted. Both mechanical and grout anchorages are common, and bolts are often
prestressed to develop compression in the rock mass.

The function of rock anchors, in contrast to bolts, is to transfer tensile forces
from an engineered structure to the rock mass. Applications include stays for re-
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Figure 1-1. Anchor and Socket Geometry

taining walls and bulkheads, guy lines, temporary construction reactions, and rock
slope stabilization. Rock anchors usually are composed of several reinforcing bars
or a bundle of cables grouted into the rock. The forces imposed on anchors are
often quite high, and can be either cyclic or static. The anchor also can be
prestressed.

On a larger scale, rock socketed drilled shafts are used as foundations for large
buildings and bridges. The function of sockets is primarily to increase capacity
and reduce settlements. Sockets are usually in compression but are often subjected
to repeated tensile forces from wind and other loads.

FAILURE MODES

Examination of rock anchorage systems reveals four locations where failure can
occur:
1. steel
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2. steel-grout interface

3. grout-rock interface

4. rock mass
At each location there is a different failure mode with its own behavior, failure
criterion, and governing equations. Figure 1-2 illustrates the typical failure
modes for each case; all are important because the entire system is only as strong
as its weakest link. '

Although all four failure modes are possible, some are more prevalent in specific
field conditions than others. As a general rule, shallow anchors in heavily
Jointed rock masses will experience rock mass uplift before the grout-rock inter-
face fails. Conversely, deep sockets fail at the grout-rock interface before rock
mass failure can occur. The dividing Tine between these two modes is not clear be-
cause loosening of the rock mass upon uplift decreases the load transfer ability of
the grout-rock interface.

N A
USUSUSUNWCELESLSL ISUSHUSUNCUSULSL

Bars
break
Bars
puliout
of grout
Steel Steel-Grout Interface
A N
WUSUSHSNWESLSIESS / 4 <§§%@f /
723
Failure/
surface
Slip 7
surfoce
Grout—Rock Interface Rock Mass Uplift

Figure 1-2. Failure Modes
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Safety and economic considerations dictate that the design incorporate appropriate
safety factors for all four modes into a balanced design. The primary focus of
this study is failure at the grout-rock interface. However, a brief review of the
other failure modes and their respective design principles are presented for
clarity and completeness.

ROCK MASS PROPERTIES

A rock mass differs from the rock material because of discontinuities and other
irregularities which can alter its performance. In the case of massive formations
without significant jointing, the rock mass properties are nearly identical to the
material properties. At the other end of the spectrum, a highly fractured rock
mass may behave more like soil than rock.

The distinction between rock and soil is not precise. For purposes of this study,
rock is defined as having a uniaxial compressive strength, 9> of 1 MN/m2? (145 psi)
or higher. Highly porous materials such as some sandstones and limestones are ex-
cluded because of their crushability. The term rock mass is used to describe rea-
sonably competent rock formations. These can be classified in Franklin, Broch, and
Walton's (1) system (Figure 1-3) as low or better, or with a geomechanics
classification (2) rock mass rating, RMR, of 20 or higher.

The properties of rock masses, unlike other system components, can not be specified
to suit the situation; the designer must use the material available, modify it, or
move the structure. Furthermore, the rock mass properties are not easily obtained
although they are necessary for design purposes.

The methods available for estimating the rock mass elastic properties can be
grouped into three categories: (1) in-situ testing, (2) empirical correlations, and
{3) geomechanical models. In-situ testing ranges from seismic methods, in which a
dynamic modulus is obtained, to borehole jacks and other down-the-hole devices,
from which a localized in-situ modulus is measured, to field load tests, in which
small-scale to full-scale behavior can be evaluated.

Empirical correlations use an index and field observations to establish an empiri-
cal relationship. Among the more popular indices are the rock quality designation,
RQD, and rock mass rating, RMR. Deere, et al. (ﬂ) showed that the RQD approximate-
ly correlates with a reduction factor that can be used to estimate the rock mass
modulus from the intact rock material modulus. Bieniawski (5) used the RMR, which
is a rating based on six different parameters, to establish a tentative relation-
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ship between the RMR and the in-situ modulus. Although the data base for both the
RQD and RMR correlations are predominantly from tunnel or hydroelectric projects,
they appear to be reasonable approximations for foundation evaluations.

The third approach is that of the geomechanical model, in which the rock material
and discontinuity properties and geometry are used to calculate the equivalent rock
mass properties. Both physical analogies (6, 7) and continuum mechanics analogies
(8) have been used. This method is useful when the input parameters are defined
adequately, but quantification of the discontinuity properties can be difficult.

DESIGN PRINCIPLES

Rock Mass Uplift

The capacity of anchors is Timited by the ability of the rock mass to sustain
tensile Toads. Sound and continuous rock masses are usually capable of carrying
the resulting stresses, and the grout-rock interface becomes the weak link.
However, the presence of discontinuities within rock masses prevents the transfer
of tensile stresses, especially near the surface where the overburden stress is



small. Therefore, shallow anchors installed in highly fractured rock masses tend
to fail by rock mass uplift.

Current design practice assumes that a failure surface in the shape of an inverted
cone radiates upward from the base of the anchor. The anchor capacity is taken as
the weight of material enclosed by the cone plus adjustments for material strength.
The position of the apex and angle enclosed by the cone are obtained from empirical
rules, such as those given in (9, 10, 11). Although this method is fairly popular,
it has neither a theoretical basis nor a good background of experimental data.
Actual design against rock mass uplift in highly fractured rock masses is most
often based upon Toad testing at a specific site.

Steel

Steel design in anchors is both a structural problem of strength, and a practical
problem of acceptable deformations. The concepts and specifications of steel and
reinforced concrete design are directly applicable to the design of tendons and
reinforcing bars in anchors.

Permissible tendon stresses are quoted in structural design codes as a percentage
of yield strength for long term, short term, proof, and lock off loads. In the ACI
Code 318-77 (12), these specifications are covered in Section 18.5. The acceptable
deformation depends on how the anchor is being used and its influence on the pri-
mary structure. Both elastic and creep type of behavior must be considered in the
design.

Steel-Grout Interface

The pullout resistance of bars and strands in concrete is a combination of bond,
friction, and interlocking behavior. Similar principles apply for cement and other
grouts. Tepfers (13) and Lutz and Gergely (14) showed that the resistance of plain
steel tendons in concrete is a function of bond before displacement occurs, and
friction afterwards. The resistance of deformed tendons is derived from an inter-
locking force and is limited by splitting of the concrete.

The concepts and specifications for development length of bars and strands in
prestressed concrete beams are directly applicable to anchors. Development length
is defined in the ACI code as "length of embedded reinforcement required to develop
the design strength of reinforcement at a critical section.” The development
length varies with concrete strength, bar type, bar size, and steel yield strength.

1-6



Although several researchers (15, 16) have shown the distribution of stress along
the bar to be highly nonlinear, a linear distribution is used in most codes and is
assumed for design purposes. Specifications are given in the ACI Code 318-77,
Sections 12.2.2 and 12.10, for bars and strands, respectively. Because of the
influence of adjacent strands and spacers, the pullout capacity of groups of bars
is reduced as per Section 12.4 in the ACI Code.

Grout-Rock Interface

Failure at the grout-rock interface is the most prevalent of the four modes. As
with embedment of bars in concrete, the developed resistance is a function of mate-
rial strength, bond, friction, and interlocking. The interaction of these factors
is a complex problem and is examined in detail herein.

Although none of the four factors outlined above has a dominant influence on capac-
ity, design methods are currently based on material strength. For design purposes,
it is assumed that there is a uniform distribution of shear stress along the socket
or anchor. The average unit shear resistance acting on the side wall is given as a
reduction factor, a, times the uniaxial compressive strength of the rock or grout,
whichever is weaker. Quantification of the reduction factor is achieved from
correlations with q,° Several authors have presented correlations of o« and q, for
specific sites and socket geometries. A recent summary of these by Meigh (17) is
given in Figure 1-4.

Use of the preceding methods gives a reasonable estimate of anchor and socket shear
capacity under certain conditions. However, the capacity can be altered drastical-
ly by changing the character of the side wall. An irregular grout-rock interface
allows for greater capacity, while a smooth interface decreases capacity and has
the additional drawback of rapid post-peak strength loss. This roughness factor
needs to be quantified.

Often design is based on allowable deformations rather than the ultimate capacity,
but the preceding method gives no information on movements. Elastic movement
analyses are fairly accurate, but are limited to a no slip condition which may be
well below the socket capacity. Methods of calculating inelastic movements need to
be refined and used.

SCOPE OF STUDY

Section 2 presents a comprehensive approach which governs the behavior of rock
sockets and anchors. In the analysis, the behavior is assumed to progress through
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stages of élastic, secondary, and residual conditions. At each stage, the behavior
is described and relationships are given for the force-displacement behavior and
capacity. The influence of factors such as strength, elasticity, roughness, and
construction procedures are incorporated. The result is a complete analysis of
socket behavior including capacity, displacements, and the influence of other

factors.

Section 3 illustrates the use of the concepts and eguations presented in Sectfon 2.
Load test data from a number of different locations are used to show how the equa-
tions are applied. In addition to showing the practicality of the method, Section
3 shows how variations in design parameters affect performance. As will be seen,
socket behavior as modeled by the methods in Section 2 is sensitive to some fac-
tors, and insensitive to others. This is important in the actual design of sockets
because the input parameters often are characterized by ranges, rather than precise

values.
Section 4 investigates the rock mass uplift failure mode. A series of anchor load
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tests are used to illustrate the elastic and inelastic responses of anchor systems
failing by uplift of the rock mass. The specific geometric and field conditions
under which this mode prevails are discussed, and the transition into the grout-

rock interface slip failure mode is described.

Section 5 concludes the work by presenting general comments on the method, its

applications, and its limitations. Suggestions also are made for further research.
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Section 2

ANALYSIS OF SOCKET BEHAVIOR

In this section, a comprehensive approach is developed for the behavior and design
of sockets, focusing on the grout-rock interface. The transfer of stress from
grout to rock can be based on either an elastic analysis, which assumes an intact
or bonded interface, or an inelastic analysis, which assumes debonding and a rela-
tive displacement at the interface. The intact system is described by elastic
sotutions for settlement and for the distribution of the shear, axial, and normal
stresses. The debonded system is described by inelastic equations based on the
magnitude of displacement and character of the interface.

Initially, rock sockets are intact. As axial stress is applied to the foundation
butt, it is distributed vertically and horizontally in accordance with the govern-
ing elastic equations. As the axial stress increases, the weaker zones and areas
of stress concentration in the rock mass begin to fail. In this case, failure does
not indicate a catastrophic loss of capacity; instead a discontinuity is created,
leading to a shear displacement, and the foundation behavior becomes inelastic.
With further increases in applied stress, the entire system progresses into in-
elastic behavior, termed secondary behavior herein. After a relatively large
amount of displacement has occurred, the secondary behavior progresses into a re-
sidual state. The displacements necessary to attain the residual state are large,
and are seldom achieved in sockets or anchors, except during load tests. However,
the concept is a logical extension of secondary behavior and is useful for
examining the limit state of behavior. Figure 2-1 illustrates the progression of
behavior from elastic, to secondary, to residual, and shows how each is affected by
roughness.

Roughness should be visualized as a variable with the extremes of interlocking and
smooth. A precise definition of interlocking is difficult because it describes a
behavioral tendency which is a function of several parameters, as opposed to being
a simple geometric condition. Smooth represents the opposite extreme behavior. As
seen in Figure 2-1, these extreme conditions bypass stages in the more general
category of rough. The conditions necessary to attain these end points of
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roughness, and the performance of each, are described in detail after the basic
theory has been presented.

ELASTIC BEHAVIOR

Elastic solutions for load distribution and displacement of rock sockets can be
obtained by analytical or numerical techniques. Since the solutions are elastic,
there is no fundamental difference between a socket subjected to compression or
extension loading, except for Poisson and tip effects. Solutions for combined side
and tip-bearing sockets are not applicable because there is no similar tip effect
during uplift loading.

Movement

Pells and Turner (l) presented the results of a finite element study of the settle-
ment of side-resisting or shear sockets. They calculated the settliements from:

] 1 (2-1)
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in which o = settlement, P = applied axial load, r =

Young's modulus for the rock mass, and Ip =

foundation radius, Em =
influence factor.

The influence factor is a function of socket geometry and stiffness ratio,
fined as KE = Eg/Em, in which E_ = Young's modulus for the grout. Values of Ip
for a surface shear socket are presented in Fjgure 2-2. Pells and Turner noted
that changes in Poisson's ratio had little effect on settlement. Embedment of the
socket beneath the surface has the effect of reducing settlements; these reduction
factors are given in Figure 2-3.

KE, de-

Stress Distribution

The analysis by Pells and Turner gives good results for settlement, but they did
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not present the stress distributions for shear sockets. Therefore, a finite ele-
ment study of shear sockets was conducted to determine the axial and shear stress
distributions with depth for various socket geometries and material properties.
Eight-noded quadrilateral elements were used to idealize the socket. Load transfer
in tip resistance was eliminated by including a soft zone about one element thick
beneath the socket tip. The meshes and other details of the analysis are presented
in Appendix A. -

The results of these finite element analyses are presented in Figure 2-4. As can
be seen, the stress distribution is nonlinear, and is dependent on the relative
stiffnesses of the grout and rock. When the stiffness ratio is unity, the system
behaves as a homogeneous material subjected to a uniform load over a finite area.
For this condition, Boussinesq's equations predict a large variation in stress
along the socket, with the maximum in the upper two diameters and rapid decay with
depth.

Relatively stiff rock masses or soft grout, having stiffness ratios, KE’ in the
range of 0.1 to 1.0, behave in a similar manner, with higher concentrations of
stress near the foundation butt for lower stiffness ratios. As the stiffness ratio
approaches 10, signifying a stiff foundation in comparison to the rock, the shear
stress distribution becomes nearly linear. Changes in Poisson's ratio have little

effect on the stress distribution.

Short foundations with length to radius ratios of 2 or less have a relatively
linear distribution of axial stress. Longer foundations with length to radius
ratios of 4 or higher have more nonlinear axial stress distributions, with stress
concentrated near the butt.

SECONDARY BEHAVIOR

Since the elastic solutions show a high concentration of shear stress near the
foundation butt, it is 1ikely that an initial failure zone will develop in that
region. Failure in this case does not necessarily indicate a catastrophic loss of
load-carrying capacity, but rather a change from elastic to inelastic behavior.

Localized failure is initiated with small displacements at the grout-rock inter-
face. As long as part of the interface remains intact, relative displacements
along the entire wall are restricted. Once a complete shear surface develops,
significant displacements are possible, and secondary mechanisms take over.
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The failed interface, now free to move, can be modeled as a rock joint. Given that
the joint is not perfectly smooth, a shear displacement causes a normal dilation
which, in turn, creates a normal stress, as illustrated in Figure 2-5.

The asperities can be idealized as uniform triangles with identical initial
dilation angles, io. Patton (2) showed that, at low normal stresses, the strength

of this system is governed by sliding over the asperities and is given by:

T = o, tan ('io + ¢b) (2-2)

in which o, = normal stress and 9 = base friction angle.

At high normal stresses, the system shear strength is governed by other parameters.
Patton used a Mohr-Coulomb linear relationship of the form:

T=C5t oy tan ¢, (2-3)

in which cj = cohesion intercept. Other strength envelopes can be used if they
model the material more accurately.

Governing Equation

In Patton's tests, the teeth were spaced at regular intervals and had identical
geometry. Therefore, the transition from the sliding mode of failure to the rock
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Figure 2-5. Joint Dilation
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material strength mode occurred at a point. Natural rock joints and rock socket
interfaces are characterized by irregular profiles with a distribution of asperity
sizes and dilation angles. For these systems, the transition from the sliding mode
to the rock strength mode is a progressive phenomenon, resulting in a curved,
rather than a bilinear, failure envelope for the joint. Figure 2-6 illustrates
Patton's bilinear model and shows how it relates to the more common curved joint

failure envelope.

The shear strength envelopes illustrated in Figure 2-6 are for the peak shear
strength of intact joints, each tested at a particular normal stress. Several
forms of the joint shear strength formula have been proposed (3, 4, 5). Each of
these can be used to model the peak shear strength, but they must be modified to
accommodate progressive failure and post-peak behavior.

Dight and Chiu (6) modified Ladanyi and Archambault's equation (4) by incorporating
a term for the degree of interlocking which decreases with displacement. Although
they showed that this formulation can model the progressive failure of joints,
careful analysis of some of the parameters reveals unrealistic trends with large

deformations.

The equation proposed by Jaeger (5) can be modified to model progressive failure by
including an area reduction factor, a . Jaeger's basic equation is illustrated in

Figure 2-7, and is given by:

t =c¢c; [1 - exp(-b on/qu)] + g

: tan ¢, (2-4)

n

Patton's bilinear joint
strength envelope

°
S/ N
§° Curved joint

" strength envelope

Shear Stress
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Figure 2-6. Rock Joint Strength Envelopes
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in which cj = shear strength intercept and b = empirical constant. This equation
assumes that the intact friction angle at high normal stresses is the same as the
base angle for sliding. Although this is not strictly valid, the two angles are
usually within a few degrees of each other, and the difference is commonly within
experimental error.

Progressive Failure

The concept of progressive failure is incorporated into the analysis by introducing
the area reduction ratio, ., defined as the ratio of available strength from the
sum of dilatancy and tooth strength to the maximum for the intact joint. Equation
2-4 then is modified to:

T =C;oa [1 - exp(-b cn/qu)] +gq

: tan ¢, (2-5)

n

At zero displacement, the joint is intact and a, is equal to one. With large dis-
placements, the asperities have all been sheared off, the rate of dilation is zero,
and a. decreases to zero. Between these extremes, a,. decreases as a function of
displacement. An exponential decay function of the following form has been
assumed:

a, = exp(-k; ay) (2-6)
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in which k; = empirical constant to be evaluated experimentally and Ay = shear dis-
placement.

By calculating a family of curves, each with a different value of 2., the effect of
varying this parameter can be assessed. As illustrated in Figure 2-8, envelopes
with different a, values are parallel at large normal stresses and converge to zero
at Tow normal stress. The stress path for a typical rock joint subjected to shear-
ing is superimposed on the curves to show how a, changes during shearing. Initial-
ly, the stress path is parallel to the a, = 1 curve, and degradation of the joint
occurs by crossing the different envelopes until the residual condition is achieved
at the base friction line.

To obtain a stress-strain curve or ultimate failure stress from Equation 2-5, an
incremental method is used. Small increments of displacement are assumed and used
to calculate the dilation and normal stress, from which the shear stress potential
is determined. The constants, k;, b, and cj, and the normal stresses are calcu-
Tated from the methods outlined in the following.

Cohesion Intercept, cj

The intact strength envelope for a rock joint is the sum of 2 components: (1) fric-
tion and (2) a combination of dilation and strength of the asperities. These two
components are shown in Figure 2-7 and are represented in Equation 2-4 by the tan

a,=1.0
a,=0.75
q,:0.5
a a,=0.25
£
w q,=0
g1
5 |
Typical stress
Cj

path

Normal Stress

Figure 2-8. Family of Rock Joint Strength Envelopes for
Different Values of the Area Reduction Ratio

2-9



op and Cj terms, respectively.
The relative contributions of dilatancy and tooth strength to the cj component of
joint shear strength varies with normal stress. At high normal stress, tooth
strength is the major component, while at Tow normal stress, dilations dominate.
There is a transition between these extremes but, unfortunately, the data available
are not adequate to separate the two componehts except at the end points. An esti-
mate of Cj is obtained by back-calculating from q, using:

1 1
C. = _ - tan (2_7)
iT 7% (cos by an o)

Calculation of b

The constant, b, can be obtained from either the initial slope of the stress path
(r vs. on) or from graphical methods. The initial inclination of the shear
strength envelope can be expressed either as an angle, Yoo Or as a slope. The
slope, or increase in 1 with respect to 9, is obtained from the first derivative
of Equation 2-4 evaluated at o, T 0:

=3+ tan op (2-8)
n %

The initial angle is the sum of the initial dilation angle, io’ base friction
angle, 9y s and a contribution from the strength of the teeth, 9 {expressed
as an equivalent angle). These angles are related to the initial slope by:

dr_ - tan P

0
dcn

=tan (i) +¢ + op) (2-9)

By equating the two expressions for the slope and solving for b, an explicit
equation is obtained:

tan Yo " tan ¢

b = q [ = ] _ (2-10)
J

The constant b is calculated from this equation and from measurement of the initial



stope of the t vs. o, strength envelope, or by estimating the three constituent

angles io, Ops and o A graphical procedure can also be used to evaluate b by
solving Equation 2-4:

n
InR=-b -+ 1n c. {2-11)
a, J ,

in which R = cj + oh tan op = T for a given point. By plotting 1n R vs. °n/qu for
a series of tests on intact specimens, as illustrated in Figure 2-9, a line having
a slope of -b results. For the Timiting condition of by = 90°, b approaches «, and
the joint shear strength envelope, Equation 2-4, simplifies to the Mohr-Coulomb

strength envelope. At the other extreme of Yo = pe in which there is no dilatant
or tooth strength component, b = 0 and Equation 2-4 simplifies to a line represent-

ing the base friction angle.

Calculation of k,

The calculation of k; is made by solving Equation 2-5 for 2, and substituting
shear stress and normal stress test data for ™ and ot

T - o  tan ¢
a = p n b

ro c; [1 - exp(-b cn/qu)]

(2-12)

Plotting 1n a,. vs. displacement for all the data points of a given test produces a
straight 1ine, the slope of which is —k;.

Nafural Log R

Normal Stress / Uniaxial Strength

Figure 2-9, Determination of b
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Normal Stress

In the direct shear test, the normal stress is constant and is derived from an ap-
plied load. However, in sockets the normal stress initially is close to zero and
increases with increasing dilation. Therefore, the system is modeled correctly by
a constant normal stiffness (CNS), rather than a constant normal stress.

By using elastic theory for expansion of an infinitely thick cylinder, the normal
stress is estimated by:

E
u m
= 4 2-13
°n YT ¥ vm) ( )

in which u = radial dilation and vy T Poisson's ratio of the rock mass. In terms
of normal stiffness, kn’ the equation is:

o E
kn == TT—EE——Y-L (2-14)
u V! T
The effect of lateral expansion or contraction caused by Poisson's ratio of the
foundation is included by adding the following term, derived from elastic theory by
Kulhawy and Goodman (7):

v

= g =
o, = | ] o,=Qo (2-15)
no-(1 - vg) L) Eg/Em Y y

in which v_ = Poisson's ratio for the grout, and cy = vertical stress in the foun-
dation. The normal stresses from Equation 2-15 are subtracted from the dilation-
generated normal stresses for uplift loading.

Dilations

The preceding equations use dilation as an input parameter to obtain the normal
stress. Unfortunately, this aspect of rock joint and rock socket behavior has
received Tittle attention from researchers.

At small stresses, the rate of dilation, U, is the same as tan io. However, as the
normal stress approaches the transition stress, o> dilations are suppressed, and
the rate of dilation approaches zero. Ladanyi and Archambault (4) showed that the
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following equation based on io and oy gives a reasonable estimate of the rate of
dilation:

c k2
G=(-_")° tani (2-16)
n UT

in which k, is an empirical constant determined by Dight and Chiu (6) to be equal
3.0, and n is the degree of interlocking which is defined later.

The actual dilations are obtained by integrating u with displacement. However,
since LA and n are functions of u, the solution of the resulting differential equa-
tion is a difficult task. A more practical approach is to assume small increments
of displacement, update the normal stress and rate of dilation, and sum the total
dilation incrementally.

Transition Stress

The transition stress is the confining stress at which the rock changes from brit-
tle to ductile behavior. In connection with shear strength, the transition stress
is the confining stress at which the shear strength of a fracture is greater than
the rock material strength. Therefore, new fractures would develop in preference
to sliding along pre-existing fractures.

Mogi (§) observed that the transition stress is a function of the major and minor
principal stresses, o; and o;, respectively. In his analysis, the transition
stress is the confining stress at failure which satisfies the relationship:

01 - 03 = 3-4 03 : (2‘17)
Byerlee (9) developed a similar equation, given by:

01 - 03 = 2-31 T (2"18)

Goodman (10) proposed that the transition stress can be estimated by the uniaxial
compressive strength of the rock, if better data are unavailable:

or = q, (2-19)

The choice of which criterion to use depends on the rock type and data available.
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Table 2-1
BRITTLE TO DUCTILE TRANSITION STRESSES FOR ROCKS AT ROOM TEMPERATURE

Gage Stress

Rock Type (MN/m?) (psi)
Rock salt 0 0
Chalk <10 <1500
Compaction shale 0-20 0-3000
Limestone 20-100 3000-15,000
Sandstone >100 >15,000
Granite »100 »15,000

Source: Reference (11), p. 69.

The rock type is especially important because the transition stress varies greatly
with mineralogy. Table 2-1 shows the typical variation of o with rock type. This
table is not intended to be a substitute for testing; instead it is an illustration
of the range in o1 and its dependence on mineralogy.

Roughness Quantification

Determination of the initial dilation angle is not a simple procedure because
socket wall asperities are highly irregular. For this reason, statistical methods
are useful in describing the wall profile.

Krahn and Morgenstern (12) found that two statistical parameters, the root-mean-
square of the asperity height, RMS, and root-mean-square of the asperity angle, z,,
give a good description of roughness. For an irregular profile as illustrated in
Figure 2-10, these are defined as:

L
RMS = /— |  h? dx (2-20)
N " x=0
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Figure 2-10. Definition of Variables for an Irregular Profile

Source: Reference (12), p. 130.

L

1 dh,2

and z, = V/L' —)° dx (2-21)
2 L Jx=0 (dx

in which N = number of measurements and L = length of the profile analyzed. When
discrete measurements are used, instead of a continuous profile, the integrals
become summations, and RMS and z, represent the standard deviation of the asperity
height, SDh, and standard deviation of the asperity angle, SDi, respectively.

Based on SD, and SD., Dight and Chiu (6) showed that a triangular profile (Figure
2-11) can be used to idealize the irregular profile. The initial dilation angle,

io’ and asperity height, hm’ are given by:

i, = i, + kgD, (2-22)

and ho = h_ +Kk,SD (2-23)

h
in which ia = average angle across the entire profile, ha = average asperity
height, k; = empirical constant equal to 1.0, and k, = empirical constant equal to

2.0.

Based on io and hm, the half wavelength of the asperities, A, is defined as:
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Figure 2-11. Definition of Variables for a Regular Profile

Source: Reference'(g), p. 377.

A= M (2-24)

and the degree of interlocking, n, is defined as:

n= (1 - %) (2-25)

in which Ay = shear displacement. The degree of interlocking is used to estimate
the true contact area of a joint as shearing progresses.

Two methods are currently available to estimate the asperity angle standard devia-
tion: direct measurement and standard correlations. Direct measurement techniques
use a digitized surface profile, obtained from analysis of a photograph of the in-
terface, to calculate the relevant statistical properties. The method of standard
correlations is based on relationships obtained from the statistical analysis of
Barton's Joint Roughness Coefficient, JRC, profiles (3) presented in Figure 2-12.
Williams (14) presented the correlation between JRC and SDi presented in Figure
2-13.

RESIDUAL BEHAVIOR

Excessive displacements along the grout-rock interface cause the system to revert
into a residual state, characterized by no further changes in the load transfer
behavior. A true residual state is achieved only after very large displacements
have occurred, but the basic mechanisms begin to become established at lesser
displacements. Also the concept is useful for describing the degradation of
secondary behavior into the limiting condition.
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Figure 2-12. Joint Roughness Profiles

Source: Reference (13), p. 345.

The basic equations governing secondary behavior lose their validity after the as-
perities have sheared off. The capacity for this condition is a function only of
the residual normal stress and base friction angle, and is given by:

T = o, tan ¢ (2-26)

The base friction angle, as it is used in this study, describes the friction be-
tween flat, horizontal rock surfaces, and is a function only of the composition and
geometry of the rock mineral grains. Small surface irregularities along the frac-
tures increase the apparent friction angle, 950 to a value above e As the irre-
gularities are polished, 94 reduces to o and the transition is made from secondary
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to residual behavior. Table 2-2 gives typical values of o for various rock types.

Information on the actual dilations and normal stresses for the residual condition
is scarce, thereby preventing verifiable conclusions from being made. However, the
results of CNS direct shear tests, and full-scale load tests conducted by Dight and
Chiu (6) and Williams (14), allow the following generalizations to be made.

Figure 2-14 from a CNS direct shear test by Williams shows the typical trends of
dilation, normal stress, and shear stress with shear displacement. Note that the
dilation and normal stress each peak at a displacement of 10 mm while the shear
stress peaks at 5 mm. If the peak shear stress represents failure of the teeth,
then this indicates that dilations can be generated by mechanisms other than
sliding across the asperities.

A possible model for this behavior is that of rotational dilation, described by
Nascimento and Teixeira (16). Rotation of broken asperities and other debris along
the shear surface causes dilation and normal stress as shown in Figure 2-15.



Table 2-2
BASE FRICTION ANGLES

Material $residual Material ¢residual
(degrees) (degrees)
Amphibolite (dry) 32 Melbourne Mudstone 25-35
Attapulgite 30 Montmorillonite 4-10
Basalt (dry) 35-38 Muscovite 17-24
Basalt {wet) 31-36 Quartz (crushed) 35
Calcite (crushed) 30 Quartz Monzonite 32
Chalk (wet) 30 Sandstone 25-34
Conglomerate 35 Sandstone (clean diamond cut) 36
Dolostone (dry) 31-37 Sandstone (bentonite coated,
Dolostone (wet) 27-35 diamond cut) 32
Feldspar (crushed) 35 Shate (wet) 27
Gneiss (schistose) 23-29 Siltstone (dry) 31-33
Granite 29-35 Siltstone {wet) 27-31
Kaolinite 15 Slate (dry) 25-30
Limestone 33-37

Source: Reference (15), p. 95.

The second point to note from Figure 2-14 is that the shear stress drops off after
attaining a maximum and eventually achieves a stable residual condition, while the
dilation and normal stress are nearly constant, or decrease very slowly, after
reaching their maxima. Therefore, the decrease in shear capacity is the result of
smoothing of the remaining surface roughness, rather than a decrease in normal
stress.

At this time, insufficient data are available to obtain quantitative relationships
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for the post-peak Toss in shear capacity. However, looking at the results of
direct shear tests on rock joints, the following points can be made:

1. The normal stress increases with increasing stiffness, although the
dilation decreases (14).

2. The ratio of residual to peak shear stress approaches unity as the
normal stress increases. Presumably, there is a limiting value of
o equal to o, at which the shear stress does not decrease after
alhieving its' maximum value (17).

3. Sockets with relatively rough side walls show less post-peak shear
stress loss than smoother interfaces. This last point introduces the
next sub-section which examines the extremes of roughness and their
corresponding behavior.

INTERLOCKING CONDITION

Definition

The shear strength equation developed by Ladanyi and Archambault (4) assumes there
is a pre-existing shear surface along which displacement occurs. This condition is
not always met because a bond, or exceptionally steep asperities, effectively can
prevent the slip surface from developing.

Interlocking behavior is defined as the extreme condition of roughness in which
shearing occurs through the asperities in preference to slip over them. The condi-

tions in which this would happen are outlined below.

Conditions Necessary for Interlocking

Without a grout-rock bond, asperities protruding normal to the interface would ef-
fectively interlock the system. When the sum of the dilation and friction angles
is 90° or more, a similar condition exists. As seen in Table 2-2, ¢, ranges from
about 25° to 40°, and therefore the interlocking condition would be achieved for 10
= 50° to 65°, regardiess of rock strength.

If an initial normal stress acts on the system, the change from first slip to
complete interlocking behavior is a function of both the rock strength and the
strength from dilation plus friction. This condition is evaluated by comparing the
interlocked strength of the interface, which is a function of the material
strength, with the friction plus dilation strength of the interface. The system is
effectively interlocked when the interface slip shear strength (Equation 2-27)
exceeds the material strength. In this case a Mohr-Coulomb strength envelope is
assumed (Equation 2-28):
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g, tan (io + ¢b) (2-27)
TE G * o, tan o (2-28)

For conditions in which an initial bond, B, exists at the interface, Equation 2-27
is modified to:

B R
= + tan (i_+ ¢.) (2-29)
t T Cos io - sin io tan ¢, n o %

The preceding equations assume a regular triangular profile, which is only a mathe-
matical idealization. The functional dilation angle for actual interfaces must be
obtained by statistical methods, or be correlated with the JRC as outlined pre-
viously.

Field evidence for the transition from rough to interlocking behavior is scarce.
Few researchers, and fewer contractors, take the time to describe the side wall
roughness before testing. Therefore, force-displacement curves are available, but
the socket wall roughness must be inferred from drilling procedures.

Results of a study on small diameter model shafts by Horvath and Kenney (18) give
insight into the conditions necessary for interlocking and are shown in Figure
2-16. This figure illustrates how side friction varies with side wall shape
(roughness). Although the exact positions of the points and line are open to in-
terpretation, the general trend shows an increase in shear resistance with rough-
ness. Furthermore, a maximum shear resistance of qu/2 is achieved between the
'rough' and 'shaped' roughnesses, at which point further increases in roughness
have little influence on shear capacity. The maximization represents the inter-
locking condition.

Interlocking Behavior

The typical load-displacement behavior of an interlocked socket is presented in
Figure 2-17. The first stage of elastic response is terminated when a shear sur-
face propagates downward near the grout-rock interface. As displacements along the
interface increase, dilations also increase from a combination of rotating, wedg-
ing, and sliding. A gradual softening occurs as dilations are maximized and rough-
nesses are worn away. The post-peak strength loss experienced in some rough
sockets does not occur for this condition.
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The capacity of interlocking sockets is a function only of the material properties
and the normal stress acting on the system; the effects of the initial roughness
and dilation angle have already been maximized. Capacity is governed by the same
mechanisms and equations as for the residual condition, and is given by:

r =0 tan g, (2-30)

Since the residual friction angle is constant for a given rock material, the
capacity is a function only of the normal stress, which is generated from dilations
at the interface and the initial horizontal stress. No experimental data have been
found in the literature on the actual dilations and normal stresses experienced in
this type of system. However, from a combination of theoretical considerations and
analysis of load-displacement curves, the following points can be made:

1. The capacity of the system should be Timited by o7 above which greater dila-
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Typical Behavior for the 'Interlocked' Condition

tions would be suppressed in favor of development of a new failure surface.
Assuming that dilations are large enough to generate or> and using g, as an
estimate of or> Equation 2-30 becomes:

T = q, tan ¢,

(2-31)

For typical ranges in ¢ of 25° to 40°, t ranges from 0.47 4 to 0.84 9y* These
values correspond well to the maximum values of o measured in the field, as

shown in Figure 1-4.

For normal stresses less than the transition stress, the capacity is given by:

tan b
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which assumes elastic side wall response and initial radial stress of zero.

3. The dilation necessary to achieve the transition stress probably does not vary
much with rock strength. Using q, as an estimate of o1s the necessary dila-
tion is given by:

u (1 ) (2-33)
u = .= ___ +\, r -
c m
kn Em
Since the ratio qu/Em is relatively constant for a given rock type, U is also
relatively constant.

4. The dilations actually achieved in rough sockets are directly related to the
irregularity of the failure surface which develops. Experimental data on the
character of the failure surface for different rock types and loading
conditions are necessary to continue the analysis in this direction.

5. Stronger and more competent rock and rock masses may develop relatively smooth
failure surfaces, as opposed to weaker rocks which probably have a more irregu-
lar fracture surface. This could account for the relatively low o values
characteristic of higher strength rocks.

SMOOTH CONDITION

Just as the interlocking condition represents one extreme of roughness, smooth rep-
resents the opposite extreme. The smooth condition is characterized by having no
asperities at the grout-rock interface; therefore dilations are not possible, and
there is no secondary behavior. A truly smooth condition is rarely, if ever,
achieved because drilling procedures leave small irregularities along the side
wall. However, many systems tend toward this condition, and the concept is useful
for describing smooth behavior as a 1imiting condition.

The capacity of smooth systems is dependent only on the grout-rock bond strength.
Breakage of the bond is often a sudden event accompanied by a large drop in capaci-
ty. Figure 2-18 shows the typical behavior of a smooth socket. For test Bl, with
roughness class Rl, a rapid rise .in shear stress occurs over the elastic range.
This is followed by an equally rapid strength loss to a residual condition, sus-
taining less than 50 percent of the maximum load. This is an undesirable situation
because there is no warning of failure, and there is a substantial reduction in
capacity.
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R4 Grooves or undulations of depth
> 10mm, width > 10mm at spac-
ing 50mn to 200mm

Figure 2-18. Behavior of a 'Smooth' Rock Socket

Source: Reference (20), pp. 294 and 300.

For engineering purposes, there are two practical questions to address in reference
to smooth sockets: (1) how much roughness is necessary to prevent this type of be-
havior, and (2) under what field conditions are problems 1ikely to occur?

Referring to Figure 2-18, it can be seen that test Bl behaves in a brittle manner,
with significant post-peak strength loss, in contrast to the more plastic behavior
of test A2, which peaks gradually and maintains a high capacity. The roughness
classifications for tests Bl and A2 are given as 1 mm and 1 to 4 mm, respectively,
indicating that, for these tests, the transition from brittlie (smooth) to plastic
(rough) behavior occurs between 1 mm and 4 mm. Pells, Rowe, and Turner (20) con-
cluded that "a roughness equivalent to 2 to 3 mm is sufficient to prevent 'brittie'
behavior." Although these results were summarized from only one series of tests,
they show that a relatively small roughness is enough to prevent the brittle be-
havior characteristic of smooth sockets.

The character of the rock mass, in particular the rock strength and discontinui-
ties, indirectly influences the roughness. Joints and bedding planes cause irregu-
Tarities in the socket side wall, thereby creating an effective roughness in an
otherwise smooth hole. Weak rock material has a similar beneficial effect on
roughness because of increased overbreak. These two notes on roughness partially
explain why the unit side resistance reduction factor, o, decreases with increasing
rock strength.
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SUMMARY

The preceding sections describe in detail the behavior of the grout-rock interface
of rock anchors and sockets. The behavior is seen to progress through three
separate stages from elastic, to secondary, to residual. The conditions necessary
to achieve each stage, and the equations governing capacity and behavior are
outlined.

Elastic methods, primarily finite element numerical studies, are used to describe
the settlements and stress distributions for the intact stage. Secondary behavior
is modeled as a dilatant rock joint confined by a normal stiffness. Failure of the
joint comes from a combination of slip over the asperities and rupture through the
teeth. This general framework covers the entire range of roughness which varies
from smooth to interlocking. The residual condition is described as the complete
degradation of secondary behavior in which the asperities have all failed, and

an equilibrium condition is achieved.

Verification of these principles and equations, and an illustration of their
practical application, is presented in Section 3.
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Section 3

VERIFICATION AND APPLICATIONS

The mechanics of grout-rock interface behavior were examined in Section 2 for rock
anchors and sockets. Equations also were presented to evaluate the behavior and
capacity of these systems. This section focuses on verification and application of
these equations. First, the equations are evaluated to determine how well they
model rock anchor and socket behavior. Second, a data base of empirical constants
for these equations is developed from back-calculation of load test data. Third,
examples are presented which illustrate the use of the proposed method for predict-
ing the behavior and capacity. Finally, the sensitivity of the proposed method to
variations in the input parameters is examined.

DIRECT SHEAR TEST ANALYSIS

Equation 2-5, the basic shear strength equation, requires the evaluation of three
empirical constants: k;, k,, and b. The constant normal stiffness (CNS) direct
shear test is a useful tool for obtaining these parameters, because the normal
stiffness, displacement, and shear stress can be controlled, and the dilation and
normal stresses can be measured accurately.

A series of seven CNS direct shear tests on mudstone-concrete interfaces, conducted
by Dight and Chiu (1), provides a good initial data base. The basic geometry,
material properties, and test conditions are presented in Table 3-1. The calcula-
tions described below were performed on the test results, all of which showed simi-
lar trends. Test M7 has been chosen as a typical example for illustrative pur-
poses. Figures for the remaining tests are given in Appendix B.

Calculation of Constants

A first estimate of the constant, b, was obtained from the initial inclination of
the stress path, Yys S shown in Figure 3-1 and Equation 2-10. The initial in-
clination of the stress path is subjective and the resulting calculation of b can
be variable. For this reason, the calculation of b by this method is approximate
and is used only as a first estimate. A more accurate method of determining b is
presented later.
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Table 3-1
MATERIAL PROPERTIES AND TEST CONDITIONS FOR CNS DIRECT SHEAR TESTS!

Test Uniaxial Normal Initial Base Initial Asperity  Asperity
Compressive Stiffness Normal Friction Friction Height, Half Wave
Strength, qy kn Stress, oo Angle, ¢ Angle, i hp Length, A

(kN/m?2) {kN/m2 /mm) (kN/m?) (Degrees? (Degrees (mm) (mm)

SM2 900 67.93 30 26 17.5 6.43 20.4

SM3 760 144.2 10 26 15.0 10.83 40.4

SM4 800 36.2 15 26 15.0 10.61 39.6

SM5 820 362.8 10 26 13.0 6.87 29.8

SM6 620 1374.0 10 26 14.0 5.48 22.0

SM7 750 222.5 20 26 18.5 6.26 18.7

SM8 750 222.8 10 25 15.5 6.33 22.8

!Data from Dight and Chiu (1)
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Figure 3-1. Stress Path for CNS Direct Shear Test M7

After b has been estimated, the shear stress and normal stress data can be substi-
tuted into Equation 2-12 to calculate a.- Note that as % approaches 0, t also
approaches 0. Therefore a 0/0 condition is produced, and a small error in either
g, Or T in this range of values can produce an unrealistic value of a. For this
reason, the first one to three data points were excluded from the calculations.

Plotting 1In a, vs. displacement allows k; to be evaluated and the original calcu-
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lation of b to be checked. The line through the data shown in Figure 3-2 was cal-
culated from a least squares analysis. The value of the correlation coefficient,
r, which was calculated from a regression analysis of displacement vs. 1In a., shows
that a linear relationship closely approximates the data of 1n a, vs. displacement.
The constant k; is the negative slope of the line.

A more accurate method of determining b is based on the 1n a, intercept of the line
shown in Figure 3-2. If the constant b is correct, the line should pass through

In a, = 0 at zero displacement, indicating the interface is 100% intact before
shearing commences. An intercept other than 1n a. = 0 indicates that the original
determination of b was incorrect.

Changing the value of b and recalculating a, has the effect of displacing the data
vertically and altering the 1n a, intercept of the Tine while the slope remains
constant. The constant b is determined by an iterative process of assuming a
value, calculating a, for all data points and finding the 1n a, intercept. There-
fore, Figure 3-2 can be used to calculate k; and determine b indirectly.

Summary of Results

The calculated values for the constants k, and b, and the correlation coefficients
for all seven tests, are summarized in Table 3-2. The values of k; are all within
12% of the mean value of 0.114. There are no apparent trends relating the varia-
tion of k; to material properties or test conditions, and the variation is attrib-
uted to experimental randomness. In a similar manner, the value of b varies by 17%
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Table 3-2
SUMMARY OF RESULTS FOR CNS DIRECT SHEAR TESTS

Test Empirical Initial Rate of Rock Strength Empirical Correlation
Coefficient Shear Stress Component Coefficient Coefficient
b Increase, ygo bp ky r
(Degrees) (Degrees) (1/mm)
SM2 4,54 61.5 18.0 0.127 0.998
SM3 3.31 56.7 15.7 0.104 0.989
SM4 4.61 62.6 21.6 0.127 0.970
SM5 3.42 57.3 18.3 0.101 0.981
SM6 4.54 62.3 22.3 0.112 0.982
SM7 4.59 62.5 18.0 0.108 0.958
SM8 3.41 57.2 15.7 0.117 0.965
Mean 4.06 Mean 0.114

from the mean value of 4.1. The magnitude of b should change from one test to the
next because it is a function of the initial dilation angle, base friction angle,
and strength of the teeth, all which vary from one test to the next. However, for
these tests, ¢, was assumed to be constant, and the value of io varied by only 5°.
Therefore b is relatively constant in this case although, in general, it is ex-
pected to vary more widely.

As a check on the ability of the equations to model the progressive failure of
joints, the constants summarized in Table 3-2 were used as input parameters for
Equation 2-5 to generate the shear stress-displacement curve shown in Figure 3-3.
Since k; was presented as a constant, the mean value of 0.114 was used. The value
of b, on the other hand, should vary from test to test and the value presented in
Table 3-2 was used. The dilations and normal stresses for these tests were modeled
accurately by Dight and Chiu using Equation 2-16 with k, = 3.0, and their approach
has been used in this analysis.

Since some of the constants used to generate the curve in Figure 3-3 were obtained
from back-calculations of the data, the curve is not a prediction, but is a line of
best fit based on Equation 2-5. The curve accurately models the data and can be
extrapolated to predict behavior beyond the range of the data.
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SOCKET LOAD TEST ANALYSIS

In making the transition from modeling joints to socket wall interfaces, there are
several important differences. First, the normal stiffness of rock sockets can
only be estimated at this time. Second, the dilations and normal stresses can not
be measured accurately to enable good relationships to be established. And third,
the influence of certain field conditions, such as stress distribution and dis-
placement with depth and material variability are difficult to quantify. Of these
three differences, the most difficult to overcome is the second.

Williams (2) attempted to measure the interface dilation of rock sockets. However,
only 5 out of a total of 21 tests gave consistent readings, and the interpretation
of those values is questionable after the grout-rock interface displaces. Also, by
multiplying the dilations reported by Williams by the normal stiffness of the
socket, the resulting normal stress is unrealistically high. For these reasons,
the dilations reported by Williams have not been used.

When the dilations and normal stresses are not known, the constants k,, k,, and b
can not all be obtained from back-calculations of the data. However, if either the
dilations or b and k, are known, the other quantities can be calculated.

To investigate the ability of the equations presented in Section 2 to model socket
behavior, a series of 9 socket load tests conducted by Williams were analyzed.
Table 3-3 summarizes the geometry and material properties for these tests as re-
ported by Chiu and Dight (3).
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Table 3-3
SUMMARY OF MATERIAL PROPERTIES FOR SOCKET LOAD TESTS!

Socket  Young's Normal Poisson's Uniaxial Socket Socket Base Initial Asperity  Asperity
Test Modulus Stiffness2 Ratio for Compressive Length Diameter Friction Dilation Height  Half Wave

for Rock Kn Rock Strength L D Angle Angle hin Length

Material  (kN/m?/mm) Material q (m) (m) Iy i

£ u . b 0 (mm) ()

(/52) Ve {kN/m2) (Degrees)  {(Degrees)
S3 420 670 0.26 780 2.51 1.17 26 18.5 26.6 79.5
S5 410 680 0.26 830 2.59 1.12 26 16.7 16.5 §5.0
S153 75 355 0.26 820 0.87 0.40 26 12.0 10.0 50.0
M1* 275 495 0.19 1750 2.0 1.22 26 18.1 12.6 37.4
M2 190 300 0.20 1550 2.0 1.30 26 31.1 40.1 66.5
M3 650 1070 0.20 1550 2.0 1.23 26 15.6 20.2 75.5
Fl 840 1670 0.18 2400 1.0 1.21 26 14.4 12.0 44,1
F2 370 665 0.20 2250 1.0 1.21 26 10.2 8.2 45,6
WG 980 1310 0.17 2800 2.0 1.58 26 25.8 41.4 85.7

1pata from Chiu and Dight, (3) 31nterface shaped to a regular triangular profile
2From finite element analysis by Chiu and Dight, (3) “Cast under bentonite

The sockets were installed in Melbourne mudstone, which is the same rock material
as the CNS direct shear tests analyzed in the previous section. Because the rock
material is the same, the empirical constants evaluated from the direct shear tests
should also be the same.

If the constants from the CNS direct shear tests summarized in Table 3-2 are used
as input parameters for Equation 2-5 to predict the force-displacement behavior, a
rather poor result is obtained. A typical prediction is illustrated in Figure 3-4
from test M3. The predicted curve has two problems: (1) the peak occurs at a small
displacement, and (2) the strength is significantly underpredicted, indicating
either that the values of some of the constants are in error, or the equations do
not model the behavior.

By changing the value of Yy from which b is calculated, the initial slope is
altered, but the prediction of strength is unchanged. For this reason, it is
unlikely that an incorrect value of b is responsible for the deficiencies outlined
above.

By assuming k; = 0 and recalculating the stress-displacement curve, a better fit is
obtained. However, k; = 0 implies that the interface does not degrade and become
smoother with displacement. This is unlikely unless the normal stress is at the
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transition stress and new fractures are being generated in preference to sliding
along pre-existing breaks.

Although the magnitude of the dilations measured by Williams is probably in error,
the data give insight into the trends to expect. By comparing the measured dila-
tions with the predictions, it is observed that the measured values tend to in-
crease more slowly and peak with greater displacement. The predictions peak too
fast in comparison, and fall short of the measured values. These are the same
trends noted by comparing the predicted shear stresses with the measured values,
from which it is concluded that the dilation and normal stress predictions are in
error. Note that the dilations and normal stresses differ only by the normal
stiffness of the socket wall.

To obtain more realistic values for the dilations and normal stresses, o, was
back-calculated from Equation 2-5 using the shear stress vs. displacement data.
Since o, appears in Equation 2-5 both as an exponent and a coefficient, there is no
explicit solution, and an iterative approach has been adopted. The value of k; was
assumed constant at 0.114 and b was calculated from Equation 2-10 assuming op =
15°, op = 26°, and i, from Table 3-3.

Figure 3-5 compares the back-calculated dilations for socket M3 with the predicted
dilations. The poor result is typical for the entire set of nine socket tests. An
attempt was made to model the data by changing the value of k, in Equation 2-16;

however, this changed only the magnitude of the dilations and had 1ittle effect on
the shape of the curve. The data are modeled more accurately by changing the form
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of the rate of dilation equation from a power function to an exponential function
given by:

(¢
U= tan i exp (-ks L (3-1)
n q,

in which ks = empirical constant.

This function has been normalized against q,° similar to Equation 2-16, and starts
at U = tan io for o, = 0 and degrades to O at displacement = A. The advantage of
Equation 3-1 is that the dilations increase more slowly and peak later, ultimately

achieving a higher maximum and thereby modeling the data more accurately.

There is difficulty in performing a least squares fit of dilations from Equation
3-1 to the back-calculated ditations because Equation 3-1 is a differential equa-
tion which has not been solved explicitly. Therefore, the fit is a trial and error
process of assuming a value for kg, graphing the curve, and observing the agreement
with the data. A summary of k; determined from this procedure is presented in
Table 3-4.

Figure 3-6 shows the results for Test M3, with the dilation vs. displacement curve
from Equation 3-1 superimposed on the back-calculated dilations. The plots of the
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Table 3-4
SUMMARY OF RESULTS FOR SOCKET LOAD TESTS

Socket Empirical Initial Rate Empirical Empirical

Test Coefficient of Shear Stress Coefficient Coefficient
b Increase Ky kg
Vo (1/mm)
(Degrees)
S3 3.87 59.5 0.114 1.5
S5 3.50 57.7 0.114 2.0
s15! 2.69 53.0 0.114 1.5
M12 3.79 59.1 0.114 2.3
M2 8,35 72.1 0.114 2.3
M3 3.29 56.6 0.114 2.6
Fl1 3.08 55.4 0.114 2.0
F2 2.28 51.2 0.114 « -
WG 5.91 66.8 0.114 6.0

lInterface shaped to a regular triangular profile
2Cast under bentonite

remaining eight tests are presented in Appendix B and, in general, show good agree-
ment with the data, except for Test F2.

For Test F2, the dilation, or in this case apparent dilation, rises very rapidly
with very little displacement. Since the dilations were back-calculated from the
shear stress data, they reflect inconsistencies in the data. The rapid rise in the
dilation is attributed to an initial bond at the interface which caused the shear
stress to increase rapidly with very small displacements. Because of the inconsis-
tencies in the data for Test F2, a value of ks has not been reported.

To check on the ability of Equations 2-5 and 3-1 to model socket behavior accurate-
1y, a curve of best fit was calculated and compared to the data. Figure 3-7 pre-
sents this curve for Test M3, while the comparisons for the remaining eight tests
are given in Appendix B. The correspondence between the measured data and the
model curve is good, with the trends of the data and strength modeled well.

PREDICTION OF BEHAVIOR

The previous sub-sections have demonstrated that socket wall interfaces can be
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modeled as dilatant rock joints with the equations presented in Section 2 with the
modification of using Equation 3-1 to model dilations. The data base established

in these sections now can be applied to other systems to predict socket behavior.

However, it should be noted that the data base is very limited and represents a

narrow range of conditions.

As an example of the application of these methods, a set of three socket pullout
tests reported by Webb and Davies (4) has been examined. All three sockets were
augered with the same techniques at the same site, so the interfaces are expected
to have similar characteristics. The shear stress-displacement data for all three
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tests is presented in Figure 3-8 and show nearly identical behavior.

The sockets were installed in laminated fine to medium-grained sandstone beneath 8
m of clay. The upper 8 m of the holes were overcored and cased to prevent the
transfer of shear stress. Table 3-5 summarizes the socket geometry and material

properties.

Table 3-5
SOCKET GEOMETRY AND MATERIAL PROPERTIES FOR SOCKET LOAD TESTS!

Socket Length  Diameter Uniaxial Young's Young's Normal
Test L D Compressive  Modulus for  Modulus for  Stiffness
(m) {m) Strength Material Rock Mass? Kn
q Ey En {kN/m? /mm)
(kN/m2) {(MN /n? ) (MN/m? )
1A 1.08 0.471 2500 100 80 295
18 1.75 0.450 2500 100 80 309
1C 2.77 0.450 2500 100 80 309

!Data from Webb and Davies (4)
2gstimated from Ep
3From Equation 2-14 assuming vy = 0.15



Table 3-6
VALUES OF COEFFICIENTS FOR SOCKET LOAD TESTS

Symbol Parameter Value Method Used to Acquire Value
io Initial dilation angle 20° Estimate from Tables 3-1 and 3-3
op Base friction angle 267° Estimate from Table 3-1
by Initial rock strength component 15° Estimate from Table 3-2
¥y Initial rate of shear stress increase 61° Summation of 1'0, by and o
b Coefficient for Equation 2-5 4.2 Calculated from y
x Asperity half wave length 50 mn Estimate from Tables 3-1 and 3-3
Ky Empirical coefficient, Equation 2-6 0.114/mm Average of values in Table 3-2
Kg Empirical coefficient, Equation 3-1 2.0 Estimate from Table 3-4

The rock mass elastic modulus, Em, of 80 MN/m® listed in Table 3-5 represents a 20%
reduction from the Young's modulus for the rock material. This reduction factor is
an estimate based on the fact that the formation is a laminated sandstone, and that

there was a 100% core recovery from test borings at the site.

The values of the key terms necessary to model the sockets are presented in Table
3-6 and were obtained from summaries of those terms in Tables 3-1 to 3-4. Figure
3-8 presents the prediction of behavior using the estimated values for these terms,
and compares the prediction with the 1oad test data. From this figure it is seen
that both the strength of the socket and its behavior are predicted well. The good
agreement illustrates the ability of the equations to model the rock socket
behavior.

SENSITIVITY STUDY

The input parameters for the predictions are characterized by ranges in values, as
opposed to precise numbers. When predictions are made, the effects of variations
in these parameters should be evaluated. The following uses the expected ranges
for each of the six input parameters to calculate changes in the predictions. Each
of the six parameters was assumed to vary independently while the other five were
kept constant. The results of this study are presented in Figures 3-9 to 3-14.

The greatest changes in the predicted capacity come from altering the values of kn
and 10; there is a one to one correspondence between changes in the value of these
parameters and the predicted capacity. Doubling the value of either parameter
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approximately doubles the capacity, and halving the value decreases the capacity by
about 50%. The shapes of the curves remain basically unchanged. It is understand-
able that changes in kn or io alter the capacity drastically because both are used
directly to calculate the normal stress, which controls the capacity.

Examination of the curves for variations in ks and A shows similar changes in
capacity and behavior. A 50% change in either parameter corresponds to about a 25%
change in capacity. Changes in A have little effect on the initial steep portion
of the curve, but the deviation becomes more noticeabTe with increasing displace-
ment. The parallel trend observed from altering the value of these parameters can
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be seen by looking at the rate of dilation equation:

g

d=tani_ exp (ke —ou "
o P (ks (1 - ay/x) qu)

(3-2)

from which it is seen that increasing A has a similar effect to decreasing kg, and
vice versa.

The final two parameters of interest are o and k;. Altering either of these

parameters has relatively little effect on the capacity. This is reasonable be-
cause capacity, as described herein, is primarily a function of normal stress, and
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neither parameter is included in the calculation of the normal stress.

Although variations in either k, or o have 1ittie effect on ultimate capacity,
they do change the behavior at smaller loads and displacements. For displacements
of 3 mm to 20 mm, the prediction of shear stress changes by about 30% when the
values of k; or ¢y, are doubled or halved.

SUMMARY

In Section 2, equations were developed which described the grout-rock interface
behavior of rock anchors and sockets. In this section, these equations were
applied to three sets of test data which included a set of constant normal stiff-
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ness direct shear tests and two sets of socket load tests from different locations.
The analysis of the direct shear tests showed that the equations model grout-rock
interfaces well under laboratory conditions. A data base of empirical constants
also was developed from back-calculations of these data.

The equations presented in Section 2, along with the data base of empirical con-
stants, were used to model the grout-rock interfaces of sockets with poor results.
However, by changing the form of the rate of dilation equation from a power func-
tion (Equation 2-16) to an exponential function (Equation 3-1), good agreement was
observed between the curve of best fit and the actual data.

The socket load test data also were used as a basis for evaluating the sensitivity
of the predictions to variations in the input parameters. The results showed a one
to one correspondence between variations of some parameters and socket capacity,
and little correspondence with variations of other parameters.
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Section 4

ANALYSIS OF ROCK MASS UPLIFT FAILURE

Sections 2 and 3 focused on the behavior of sockets and anchors failing by grout-
rock interface slip. This section examines the second, and less common, failure
mode associated with geotechnical engineering, that of rock mass uplift. To in-
vestigate the rock mass uplift failure mode, a series of nine anchor pullout tests
conducted by Bruce (1) have been examined. Of these nine tests, seven failed by
rock mass uplift and two failed by grout-rock interface slip. The material proper-
ties for the anchors failing by rock mass uplift or grout-rock interface slip are
summarized in Table 4-1. Table 4-2 gives the geometry, capacity, and failure
modes.

ELASTIC BEHAVIOR

As an illustration of the use of the elastic solutions presented in Section 2, the
computed axial stress distributions have been compared with those measured by
Bruce (1). 1In the elastic range, the anchor properties having the greatest influ-
ence on behavior are the relative stiffnesses of the grout and rock mass, and the
length to diameter ratio. For these tests, the stiffness ratio, KE = Eg/Em, is
about 3 which places the stress distributions in the middlie of those presented in
Figure 2-4. The length to diameter ratios are about 13 and 20 for anchors 6 and
53, respectively. These ratios are significantly higher than those analyzed and
presented in Figure 2-4, which means that a direct comparison can not be made;
however, the trends are similar.

Figures 4-1 and 4-2 present the axial stress distributions at Tow loads for anchors
6 and 53, respectively. Both show a rapid decrease in axial stress within the
first 0.25 m of the surface. This is followed by a slower rate of axial stress de-
crease to a depth of 0.75 m to 1 m. Below this depth the remaining axial stress is
dissipated more rapidly and approaches zero at the tip.

By comparing the measured stress distributions in Figures 4-1 and 4-2 with those

calculated from elastic methods, presented in Figure 2-4, two observations can be
made. First, the elastic solutions show a rapid decrease of axial stress near the
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Table 4-1
MATERIAL PROPERTIES FOR ANCHOR PULLOUT TESTS!

a. Rock Mass b. Rock Material

Material Thinly bedded shaley sandstone Point load strength 2.5 MN/m?
Elastic modulus® 10 GN/m? Uniaxial strength3  60.0 MN/m2
RQD 75% Young's modulus 25 GN/m?
Fractures/meter 8 Poisson's ratio 0.2

c. Grout

lData summarized from Bruce, (1)
2From Goodman jack

Material Ferrocrete 3Estimate from point load strength
“Estimate from cube strength

Water/cement ratio 0.45 SEstimate from uniaxial strength

Cube strength 50 MN/m?

Uniaxial strength* 45 MN/m?

Young's modulus® 32 GN/m?

surface similar to the measured data. Second, the shape of the theoretical axial

stress distribution curve is smooth and concave to the right in comparison to the

convex bulge seen in the measured curve. This bulge indicates that more stress is
being transferred to the 1 m depth than the elastic solutions predict.

The high axial stress at a depth of 1 m can be explained by either malfunctioning
strain gages, cracking of the grout, partial pullout of the tendons from the grout,
or by the influence of hard or soft zones within the rock mass. The first three
explanations must be investigated at the test site and therefore can not be
considered here. Attributing the unexplained behavior to changes within the rock
mass assumes that the axial stress distributions are dependent upon the relative
stiffnesses of the grout and rock mass, and variations in the stiffness would cause
changes in the stress distribution.
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Table 4-2
GEOMETRY AND FAILURE MODES FOR ANCHOR PULLOUT TESTS!

Anchor Length Diameter Failure Capacity

(m) (m) Mode (kN)

1 0.75 0.114  Rock mass uplift 440
2 0.75 0.114  Rock mass uplift 500
3 0.75 0.114  Rock mass uplift 450
4 1.50 0.114 Rock mass uplift 1495
6 1.50 0.114 Rock mass uplift 1206
232 1.50 0.114  Rock mass uplift 1834
242 1.50 0.114  Rock mass uplift 1594
52 2.25 0.114 Interface slip 1978
53 2.25 0.114 Interface stip 1891

1pata summarized from Bruce (l)
2nderreamed

Data presented by Bruce (1) show that a soft mudstone bed intersects the anchor at
a depth of about 1 m. Although detailed information on the thickness and stiffness
of the bed, and changes in the sandstone above and below the bed are unavailable,
the presence of the bed itself indicates that the sandstone formation is not homo-
geneous and differences are likely.

The preceding illustrates the need to apply engineering judgment when using elastic
solutions and finite element models. These models are based on the assumption of a
linear elastic material and a homogeneous medium. Actual foundations rarely
fulfill these assumptions, so the theoretical solutions are useful, but only
approximate.

INELASTIC BEHAVIOR

In the analysis of the grout-rock interface slip failure mode, the rock mass was
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Source: Reference (1), p. 294.

assumed to be intact and elastic. Inelastic displacements occurred only by slip
along the grout-rock interface. In contrast to these systems, the behavior of
systems failing by rock mass uplift is characterized by inelastic deformations in
the rock mass while the grout rock interface remains intact.

The behavior of the rock mass during uplift failure can be evaluated by examining a
vertical cross-section of an anchor and adjacent rock mass after failure, as shown
in Figure 4-3 for anchor 3. Permanent voids opened near the rock surface, close to
the anchor, which created a zone of loosened rock surrounding the anchor. The de-
gree of loosening is maximum near the anchor butt and decreases both radially and
with depth.

Design for rock mass uplift often assumes that a failure surface in the shape of an
inverted cone develops around the anchor. The cone is assumed to be intact and its
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weight is taken as the anchor capacity. Observations from Figure 4-3 that the rock
mass is extensively cracked, and that the degree of cracking changes with location,
indicate that the assumption of an intact cone 1ifting out is only a rough approxi-
mation. Although the zone of loosened rock is approximately conical, it is not in-
tact, and it does not 1ift up as an intact mass. The true failure mechanism is a
complicated combination of shear along joint planes, movement of discrete blocks,
and tensile failure of the rock material. Until better information is available, a
“more detailed analysis is not possible.

The different degrees of loosening shown in the vertical cross-section are also
seen in the plan view of the crack pattern. Figure 4-4 shows the progression of
surface cracking with increasing loads for anchor 6. For loads less than 400 kN,
the system is in the elastic stage and there is no surface cracking. Above 400 kN,
cracks develop near the anchor and begin to radiate outward from the anchor, gen-
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erally following the two sets of natural discontinuities. The loads are shown in
Figure 4-4 by the small index numbers near the cracks, indicating the load at which
the crack formed.

With increasing loads, the fractures continued to radiate outward. The fact that
cracks grew with increasing loads also tends to discount the intact cone failure
mechanism. The dotted line enclosing the anchor and cracks represents a circumfer-
ential fracture set which developed at failure, after the radial cracks progressed
outward to that point.

The footings which support the loading frame impose a concentrated surcharge at the
locations indicated in Figure 4-4. The increased surcharge effectively overcomes
the applied tensile stresses and prevents the development of cracks near that re-
gion. This influence is seen by the elongated shape of the surface crack pattern.

In comparison with anchor 6 which failed by rock mass uplift, Figure 4-5 presents
the surface crack pattern for anchor 53 which failed by grout-rock interface slip.
The same basic trends are noted for these two anchors at loads less than the fail-
ure load. For anchor 53, no cracks developed in the elastic range with loads under
900 kN. Increasing loads correspond to radial crack growth, especially parallel to
the natural discontinuities. The primary difference between anchors 6 and 53 is
that a circumferential crack set developed around anchor 6 but not around anchor
53. The explanation for this behavior is that the grout-rock interface slipped
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before rock mass uplift could occur.

The fact that the pre-failure crack patterns for the two anchors are similar indi-
cates that similar mechanisms are at work. For this reason, the two failure modes
can not be considered to be completely independent at shallow depths. In both
cases, cracking and loosening of the rock mass at least contributed to failure and
may have been the primary failure mechanism.

DESIGN CRITERIA

The design for rock mass uplift commonly is based on the weight of a conical sec-
tion of rock uplifting with the anchor. In sound homogeneous rock, the cone is as-
sumed to have a vertex at the anchor tip and enclose an angle of 90°. For weath-
ered, weak, or highly jointed rock masses, a cone with its vertex at one half the
total anchor depth and enclosing an angle of 60° is more common. Although the
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total anchor depth and enclosing an angle of 60° is more common. Although the

failure mechanism assumed by this method is not correct, the method gives an
estimate of capacity for design with shallow anchors. This method is conservative,
but the conservatism is necessary to account for uncertainties.

A second method of evaluating the uplift capacity of anchors is with empirical
equations. Researchers have presented several different forms of these equations,

and all are functions of depth of embedment. Bruce (1) found that a parabolic
equation fit his data well. Bruce's equation is:

P =6 D2 (4-1)

in which P = capacity in kN and D = depth of embedment in meters.
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With increasing depth, failure by rock mass uplift grades into interface slip and
is no longer the controlling failure mode. Therefore, the two methods of evalu-
ating anchor capacity for uplift failure are limited to shallow cases. For the
tests by Bruce, the transition from uplift failure to interface slip occurred at a
depth of about 2 meters.

SUMMARY

The uplift failure of anchors occurs only in the case of shallow anchors installed
in highly fractured rock masses. For the tests by Bruce, the uplift failure mode
occurred only in those anchors 2 m deep or less. The failure mechanism appears to
be associated with progressive loosening of the rock mass around the anchor, with
ultimate failure occurring only after the rock mass is extensively cracked and
Toosened.

Similar mechanisms of cracking and loosening of the rock mass control the behavior
of shallow anchors failing by grout-rock interface slip. At shallow depths, there
is a progression from rock mass uplift failure to interface slip. The initial be-
havior of these systems is the same, and only the final failure mechanism changes.

REFERENCE
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Particular Reference to Load Transfer Mechanisms," Ph.D. Thesis, University
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Section 5

SUMMARY AND CONCLUSIONS

SUMMARY

Rock anchors and sockets are multi-component foundation systems, which can fail in
either of four modes: (1) structural failure of the anchor bar or tendon, (2) bond
failure along the interface between the bar or tendon and the grout, (3) failure
along the grout-rock interface, and (4) uplift failure of the rock mass. Modes 1
and 2 are structural problems which are addressed by appropriate steel and concrete
design criteria. Modes 3 and 4 are geotechnical concerns. Mode 3 failure is the
most dominant, while mode 4 failure occurs only for very specific geometric and
rock conditions. Using available theoretical and experimental data in the litera-
ture, a general model has been developed for evaluating the geotechnical behavior
of rock anchors and socket systems. Particular emphasis has been placed on the
mode 3 mechanisms.

The general behavioral patterns were described in Section 1, as well as current
design practices. Guidelines were also given for evaluating the mode 1 and 2
failure mechanisms.

In Section 2, the grout-rock interface was examined as a progression through three
stages of behavior from elastic, to secondary, and finally to residual. For each
stage, the equations governing the capacity and behavior were developed. The
elastic stage was characterized as an intact system which can be analyzed using
elastic solutions and finite element models. The secondary stage was characterized
by a failure surface along the grout-rock interface. The capacity and behavior
during the secondary stage were based on the magnitude of displacement along the
slip surface and the character of the interface. The character of the interface
was quantified in terms of triangular teeth with an effective size and dilation
angle. It was noted that roughness is a variable with limits of smooth and inter-
locking. The third stage is the residual condition, characterized by total de-
gradation of the slip surface. This condition is achieved only after the system
has experienced Targe displacements.
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Section 3 evaluated the methods and concepts developed in Section 2. First, a
series of constant normal stiffness direct shear tests on concrete-mudstone inter-
faces were analyzed. Measurement of the dilation and normal stress allowed the
values of the constants to be back-calculated. By applying the values of the
parameters to socket load tests, the analysis procedure and equations were refined
and a more extensive data base was developed. With the equations and constants
already described, and estimates of the other parameters, the behavior of a series
of three instrumented socket pullout tests was modeled with good results. The same
set of data was used to investigate the sensitivity of the method to changes in the
input parameters.

In Section 4, the limits of applicability and transition into the rock mass uplift
failure mode were investigated by analyzing a series of anchor pullout tests. It
was noted that rock mass uplift is associated with progressive cracking and loosen-
ing of the rock mass, and that there is a gradual transition from the rock mass up-
1ift to interface slip failure mode with increasing depth. For these reasons,
shallow sockets failing by interface slip are affected adversely by proximity to
the surface.

CONCLUSIONS

The methods of analysis presented are based on both theoretical concepts and obser-
vations of actual socket behavior. Throughout the development process, examples of
behavior were presented for clarity and to support the concepts. The practicality

of the method was demonstrated by applying the concepts to field load tests. These
applications also served to verify the ability of the method to model the behavior

accurately.

The information necessary to evaluate socket performance includes the material
properties, characteristics of the grout-rock interface, and values of several em-
pirical constants. The material properties, such as rock strength and rock mass
elasticity, can be obtained easily from field and lab testing. Quantification of
the socket wall roughness in terms of the dilation angle and size of the asperities
is achieved by direct measurement techniques in which the interface profile is
digitized and analyzed, or from correlations with a standard set of joint roughness
profiles.

In addition to the information which can be obtained directly by measurement or
testing, several empirical constants must be evaluated. These include b, k;, and
ks which must be back-calculated from load test data, or estimated from sockets
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tested in similar conditions. Additional data will be necessary to generalize
these constants for routine practice.

LIMITATIONS

Although the preceding presents a comprehensive description of rock socket
behavior, there are additional factors which influence behavior. Following is a
summary of factors which influence the behavior, either directly or indirectiy:

1. The elastic modulus of the rock mass and normal stiffness of the
socket both increase with depth. This occurs because the confining
stress increases with depth and near-surface effects are minimized.
The sensitivity study showed that changes in the normal stiffness di-
rectly influenced both the normal stress developed at the interface
and the shear stress capacity. Because of these changes in normal
stress and and shear stress with depth, a nonuniform stress distribu-
tion results.

2. The analysis assumed identical behavior for uplift and compression
loading, except for near-surface uplift failure and loosening ef-
fects. It is expected that compression loading would result in a
greater capacity because of Poisson's ratio effects and the closing
of discontinuities, which would stiffen the system.

3. Repeated cycles of loading may soften the load-displacement response
and reduce the capacity. This effect could be described as a degra-
dation of the grout-rock interface, and can be accounted for by re-
ducing the value of the area reduction ratio.

4. Because foundation elements are not rigid, the foundation butt expe-
riences more deformation than the tip. In the secondary stage, de-
formations control the shear stress capacity of the interface, and it
is expected that the larger deformations at the butt cause higher
normal stresses to develop and the shear stress to increase. This
effect would result in a nonuniform stress distribution with depth.

RECOMMENDATIONS FOR FURTHER RESEARCH

There are two aspects of rock socket and anchor behavior which are not well under-
stood and could benefit from additional research. These are the failure mechanisms
and capacity of anchors failing by rock mass uplift, and the dilations and normal
stresses developed by displacement along the grout-rock interface. Research into
the dilations and normal stress generated during shearing is necessary both in the
areas of roughness characterization and of the actual dilations generated.

Quantification of the socket wall roughness is based on an idealized triangular
profile obtained by direct measurement or empirical methods. This method works
well for analysis purposes, but the procedures used to evaluate io and A can be
difficult to implement in practice. Measuring and analyzing the surface profiles
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is necessary for research, but a more practical method is needed for design pur-
poses. Summaries of 10 and A referenced to rock type, rock strength, and drilling
method could provide a useful correlation.

The field pullout tests by Williams showed that the actual dilations of socket
walls are difficult to measure and interpretation of the results is subjective. It
is unfortunate that good data on the magnitude of dilation generated during shear-
ing are unavailable because capacity is related directly to the dilation and
resulting normal stress. Methods of measuring the actual dilations and normal
stresses need to be developed.

The available data on rock mass failure of anchors in uplift are useful but have a
Timited range of application. Bruce and others have addressed this aspect of
socket and anchor behavior at specific sites and under specific test conditions.
This information alone is not adequate to develop a good understanding of the
uplift failure wmode, and a more extensive field testing program with a wider range
of variables is necessary.

A testing program designed to study how rock strength, discontinuity spacing, and
discontinuity characteristics influence the rock mass performance during uplift
failure would contribute significantly to our understanding of the problem. This
program could be either a full-scale study or a controlled model study.
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Appendix A
DETAILS OF FINITE ELEMENT STUDY

This appendix presents the details of the finite element study used to analyze the
elastic stage of socket behavior. The results were presented in Figure 2-4. The
study was a three-step process of generating the finite element mesh, applying the
stresses and doing the analysis, and summarizing the results. The analyses were
done using the general three-dimensional finite element code CIGAP, developed at
Cornell University by Huang, Kulhawy, and Ingraffea (1).

The foundation was treated as an axisymmetric problem which allowed the three-
dimensional problem to be analyzed from a two-dimensional mesh. The meshes for
this problem were generated with the aid of a preprocessor and are presented in
Figures A-1 and A-3. Figures A-2 and A-4 show the node numbers for the foundation
elements and nearby elements in the rock mass.

Since the analysis was for uplift loading, there could be no stress transfer from
tip resistance. To prevent the tip resistance, a soft zone one element thick was
included beneath the foundation tip. This soft zone had a modulus of elasticity

1/20,000 the modulus of the foundation.

Changes in the stiffness ratio, KE =E /Em, were accommodated by changing the
modulus of the rock mass from 2 x 10° through 2 x 10! while the modulus of the
foundation remained constant at 2 x 10}%. No units are associated with these
numbers because only their relative magnitudes are important, provided that
stresses are normalized in dimensionless form.

Load was applied to the foundation as a uniformly distributed surcharge acting
upward across the foundation butt. Restraint against this load was provided by a
combination of rollers along the bottom and two sides, and pins at the bottom and
two outside corners as seen in Figures A-1 and A-3.

The axial stress distributions shown in Figure 2-4 were calculated from a weighted
average of the vertical stress at the first six nodes starting at the centerline
and working outward. The seventh node interfaces with the rock mass and was
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excluded from the calculations because it included vertical stress within the rock
mass. The shear stress distributions were obtained from the nodes along the foun-
dation-rock mass interface. The two nodes closest to the surface were not included
because the shear stress increases then decreases rapidly in this region and the
results are difficult to interpret. A finer mesh is necessary to study the near-
surface stress distributions in more detail.
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Appendix B

PRESENTATION OF FIGURES SHOWING BEHAVIOR OF DIRECT
SHEAR TESTS AND SOCKET LOAD TESTS

Appendix B presents the results of the analysis of constant normal stiffness {(CNS)
direct shear tests and socket load tests which were not included in Section 3.
First are the figures for each of the CNS direct shear tests by Dight and Chiu (1).
Two figures are presented for each test; the first shows the calculation of the
empirical constant b, and the second compares the curve of best fit with the actual
data. Following these are figures showing the dilations and shear stresses for the
socket load tests by Williams (2). For each of these tests, two figures are pre-
sented. The first compares the modeled dilations with the back-calculated dila-
tions, and the second shows the curve of best fit superimposed on the shear stress-
displacement data.
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2. Williams, A. F., "Principles of Side Resistance Development in Rock Socketed
Piles," Proceedings, 3rd Australia-New Zealand Conference on Geomechanics,
Vol. 1, Wellington, 1980, pp. 87-94.
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